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The Lightweight Steel Framing (LSF) system has been proposed as an economical and earthquake
resistant system. Due to the lightweight nature of LSF structures, the seismic performance of middle-rise
buildings has been improved. Currently, various numerical-analytical methods have been proposed for
seismic assessment of conventional structures. Providing a perfect seismic Health Safety Environment
(HSE) index has always been regarded as one of the analytical passive points. In this research, an LSF
building was selected as a case study for Finite Element (FE) modelling, in which non-linear time-history
analyses were undertaken. Material properties were deﬁned according to the performed experimental
studies. A novel approach was presented for the seismic HSE index of LSF systems using the simultaneous
incorporation of the non-linear analysis results and the correction coefﬁcient describing the seismic
geotechnical effects. The presented seismic HSE index accurately demonstrates the seismic performance
of the LSF structures. Additionally, a two-layer perceptron Artiﬁcial Neural Network (ANN) was trained
using the results of the FE model, and a non-linear relationship was obtained to predict the seismic
damage index. Finally, the proposed seismic HSE index was validated using statistical analyses, indicating
that the proposed method does not yield a signiﬁcant difference compared to the ANN results.
Copyright © 2015, Far Eastern Federal University, Kangnam University, Dalian University of Technology,
Kokushikan University. Production and hosting by Elsevier B.V. This is an open access article under the CC
BY-NC-ND license (http://creativecommons.org/licenses/by-nc-nd/4.0/).Introduction
The ability to assess the vulnerability of civil infrastructure to
earthquake-induced HSE is undoubtedly one of the most important
challenges facing structural engineers. In the earthquake resistant
design of structures, a degree of HSE in the structural members is
generally expected because the cost of designing a structure that is
able to remain elastic during a severe earthquake is enormous.
Thus, current seismic codes, e.g., EC8 [1], in an implicit way, and
more recent performance-based seismic design methods [2,3] in an
explicit and more systematic way, employ the concept of HSE to
establish structural performance levels corresponding to increasing
levels of earthquake actions.
In general, two methods are predominantly used for predicting
seismic damage: numerical analysis using the non-linear Finiteom (H. Mirzaaghabeik),
Federal University, Kangnam
an University.
ersity, Kangnam University, Dalian
C-ND license (http://creativecommElement Method (FEM) and seismic vulnerability curves. Non-
linear FEM analysis is particularly applicable when a detailed
damage estimate is required for only an individual-important or
typical, representative structure or a small number of structures
[4e7]. Evaluating the structural responses under seismic excita-
tions using the response spectrum and static pushover procedures
is applicable to a signiﬁcantly broader range of structures, and the
non-linear time-history and dynamic pushover procedures are
expected to make the most realistic prediction of the structural
behaviour under a particular seismic excitation. However, when
such an assessment is required for numerous structures, the pro-
cess becomes time-consuming and inefﬁcient [8,9]. Seismic
vulnerability curves provide a more efﬁcient method for predicting
damage to a class of similar structures. Such curves are generally
constructed based on either statistical analysis of ﬁeld data and
historical records [10e16] or analytically simulated data [17e26].
HSE is usually quantiﬁed using one of several damage indices
with values that can be related to particular structural damage
states. In this regard, a number of available response-based damage
indices are discussed and critically evaluated for their applicability
in seismic damage evaluation [27]. Scotta et al. [28] proposed twoUniversity of Technology, Kokushikan University. Production and hosting by Elsevier
ons.org/licenses/by-nc-nd/4.0/).
Fig. 1. The 3D view of FE structural model.
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sentative of the overall structure performance, and Section HSE
Indices, which assess the conditions of reinforced concrete beam-
column sections. They undertook the seismic risk assessment by
deﬁning compact indices that are able to measure the damage and
safety level of structures in view of the economic considerations of
buildings rehabilitation. Kratzig [29] proposed HSE indicators for
providing estimates of seismic vulnerability by extending the
structural damage concepts of aging structures to seismic design,
where structures fail by passing the damage evolution over an ul-
timate bound. Shen and Shen [30] established a practical hysteresis
model of steel members that takes the effects of damage accumu-
lation and fracture into consideration and includes the calculation
of the HSE index, the effects of HSE on the yielding point, the
modulus of elasticity and hardening coefﬁcient of steel, the
stressestrain hysteresis relationship and the fracture criterion.
Dimova and Negro estimated the structural vulnerability by
fragility analysis incorporating the numerical models of the struc-
tural response in different seismic intensity levels into the experi-
mental data [31]. In this method, the widely used global damage
indices, such as Park and Ang’s overall structural HSE index [36]
were associated with the conditional probability of failure andFig. 2. The laboratory tests performthe damage states of the studied structure were expressed in terms
of its fragility.
In recent years, many experimental and analytical studies have
been conducted on Cold-Formed Steel (CFS) proﬁles, members and
framing systems. Xu and Tangorra [32] presented the experimental
results of a study performed at the University of Waterloo on the
vibrational characteristics of cold-formed steel elements that are
used to support lightweight residential ﬂoor systems. Al-Kharat
and Rogers [33] presented an experimental overview of the in-
elastic performance of sixteen 2.44 m  2.44 m cold-formed steel
strap-braced walls that were not designed according to a strict
capacity-based design. Using monotonic and reversed cyclic
loading protocols, they showed that if the capacity design princi-
ples are not considered, then the performance of the walls can be
affected by the hold-down detail, which, in many cases, did not
allow the test specimens to reach or maintain a yield capacity and
severely diminished the overall system ductility. In collaboration
with the author, Dan Dubina [34], our group has undertaken a
number research studies in the last few years at the Politehnica
University of Timisoara on the performance and characterising the
speciﬁc features of light steel framed structures. Moghimi and
Ronagh [35] worked on the performance of different light-gauge
cold-formed steel strap-braced stud wall arrangements subjected
to cyclic on a total of twenty full-scale 2.4 m  2.4 m specimens.
This paper presents a novel seismic HSE index for a LSF system
under earthquake ground motions using Finite Element Analysis
(FEA) and Artiﬁcial Neural Network (ANN).Investigation of the proposed seismic HSE indices
Several physical structural responses can reveal the HSE state of
the structure. Used as indicators of damage, these responses are
known as HSE parameters. Plastic deformation and energy dissi-
pated in elements are some prominent examples of HSE parame-
ters. A damage index is a quantity that describes the overall
structural damage and makes use of speciﬁc HSE parameters. The
value of the HSE index is usually normalised to ﬁt in the range of
zero (for no damage) to one (for completely collapsed structure).
The HSE indices can be classiﬁed based on the category of the HSE
parameters that is used in them as indicators of the various forms of
damage. The ﬁrst category of HSE parameters uses the deformation
of elements or structures as the damage indicator. Structural drift ised on the cold-formed proﬁles.
Fig. 3. Maximum displacement equal to the ﬁrst plastic joint in one of the columns (dy) and the ﬁrst plastic joint in the ﬁrst level column (df) using Non-linear static analysis.
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where (D) is the drift value, and (H) is the structural height. Plastic
ductility-based indices are another prominent group of indices.
Powell and Allahabadi [46] deﬁned the structural damage in terms
of plastic ductility, as provided by Equation (2). The simplicity of the
concept and ease of use makes this index suitable for practical
application.





where (m) is the displacement ductility demanded by earthquake
ground motion, and (mmon) is the monotonic ductility capacity.
Another category of damage parameters involves energy dissipa-
tion through the hysteretic behaviour of the elements. These pa-
rameters can account for the cumulative effect of earthquake-
induced motions and yield more accurate damage values
compared to the deformation parameters. Structural elements have
limited capacity to dissipate energy in a cyclic manner prior to
failure. The amount of energy dissipated serves as an indicator of
the HSE level induced during the loading cycles. The most popular
indices use a combination of the ﬁrst and the second category of the
damage parameters to demonstrate structural damage. For
example, Park and Ang’s index introduced in 1985 [36] is a com-
bination of ductility and energy-absorption capacity indices. Later,
Kunnath et al. [37] modiﬁed the original index and presented it in
the form of Equation (3). Although this index was originally cali-
brated for concrete elements, it is used for damage assessment of
both concrete and steel structures due to its clear physical concept.
The index is one of the most popular indices used by researchers.Table 1
The material properties data.
Parameter Value
Yield strength (MPa) 344.21
Ultimate tensile strength (MPa) 447.18
Modulus of elasticity (GPa) 190
Poisson’s ratio 0.3







where (4m) is the maximum curvature in the member, (4y) is the
yield curvature in themember, (4u) is the ultimate curvature before
total damage, (My) is the yield moment, (dE) is the differential
energy absorption and (be) is Park and Ang’s coefﬁcient, which has
the range of 0.1e0.5. Bozorgnia and Bertero [38,39] introduced two
improved combined indices for a generic inelastic SDF system.


















mH mon  1
1=2
(6)
where 0 < a1 < 1 and 0 < a2 < 1 are Bozorgnia and Bertero’s co-
efﬁcients, respectively. Additionally, (EH) is the hysteretic energy
demanded by earthquake ground motion, (me) is the maximum
elastic portion of the deformation, and (mH mon) is the hysteretic
monotonic ductility capacity.
Another category of damage parameters draws on low-cyclic
fatigue theory to quantify the structural HSE. Given the nature
of seismic response and the large relative deformations involved,
low-cyclic fatigue theory is a good candidate to be used inFig. 4. The Pushover curve for the proposed LSF building.
Table 2
The values of (dr) and (df) parameters.
Parameter Value (cm)
Maximum displacement equal to the ﬁrst plastic joint in one of the columns (dy) 1.39
Maximum displacement equal to the ﬁrst plastic joint in the ﬁrst-level column (df) 4.24
H. Mirzaaghabeik, H.R. Vosoughifar / Paciﬁc Science Review A: Natural Science and Engineering 17 (2015) 69e7872structural and earthquake engineering for evaluating the damage
level of structures. To assess the reliability of the structures sub-
jected to severe ground motions, it is necessary to evaluate failure
modes induced by cyclic deterioration in strength, stiffness and
energy-dissipation capacity. It is convenient to use cumulative
damage models to predict the possibility of failure in cyclically
loaded materials or structural elements. The index proposed by
Krawinkler and Zohrei [40] is given in Equation (7). They used three
types of deterioration in elements to deﬁne their damage index:
strength, stiffness and energy-dissipation capacity.
Dd ¼ Adpa (7)
where (Dd) is the element deterioration; (A) and (a) are the Kra-
winkler and Zohrei parameters [40], respectively, which depend on
the properties of the structural component and can be obtained
from some graphs calibrated by experimental test on some (I)
shaped steel specimens; and (Ddp) is the plastic deformation.
In this regard, the curvature deformation is used as deformation
parameter; thus, the plastic deformation can be evaluated accord-
ing to Equation (8).
Ddp ¼ 4m  4y (8)
Papadopoulos et al. [41] suggested a new seismic HSE index that
is quick, easy and highly accurate and serves as an efﬁcient method
in the calculation of the seismic damage index. Papadopoulos’
method basically follows three steps for obtaining the HSE index:
I) Calculation of the maximum displacement of structure using
non-linear dynamic analysis
II) Calculation of the displacement equal to the ﬁrst plastic joint
in one of the columns
III) Calculation of the displacement equal to the ﬁrst plastic joint
in the ﬁrst-level column
Papadopoulos et al. [41] recommended Equation (9) for the
calculation of the seismic damage index,
GDP ¼ dr  dy
df  dy
(9)
In Equation (9), (GDP) is the seismic HSE index, (dr) is the
maximum displacement of the structure upon non-linear dynamic
analysis, (dy) is themaximumdisplacement equal to the ﬁrst plastic
joint in one of the columns and (df) is the maximum displacement
equal to the plastic joint formed in the ﬁrst-level column of the
structure.Table 3
The used seismic ground motion records near ﬁeld.
Earthquake Record ID Magnitude (Ms) PGA (g) Site classiﬁcation
Loma Prieta (1989) P0770 6.9 0.78 A
Northridge (1994) P0887 6.7 0.32 B
Tabas (1978) P0144 7.4 0.81 CDesign of the FE structural model
In this study, a 4-storey LSF structure with an irregular plan was
chosen for three-dimensional (3D) analysis. A 3D view of the FE
structural model is shown in Fig. 1.
This building includes various plans and was designed based on
the LRFD method according to the AISI standard [42]. The building
was located in the high-damage risk zone of Tehran city. The main
frame of the wall panels were made of cold-formed steel elements,
the top and bottom tracks were made of U204/2.0 proﬁles (that is,
U shape with 204  100 dimension and 2.0 mm thickness), and
the studs were made of C200/2.0 proﬁles, ﬁxed at each end to
track with self-drilling self-taping screws. In this building, using
cement-board sheets as cladding, the sheets were placed hori-
zontally with a useful width of 1200 mm. Each cement-board
sheet was ﬁxed to the wall frame using special self-tapping
screws. The number of screws was determined to avoid failure
at strap-end ﬁxings and facilitate yielding. 10-mm OSB panels
(1200  2440 mm2) were placed similarly as the gypsum panels in
internal spaces of building. These OSB panels were installed only
on the ‘external’ side of the panel and ﬁxed to the frame using
bugle-head self-drilling screws of d ¼ 4.2 mm diameter at 1-mm
intervals. Note that several experimental tests were conducted
on the cold-formed proﬁles at the Mechanics Laboratory of Sharif
University of Technology (see Fig. 2). Table 1 presents the material
properties according to the laboratory results. Fig. 3 depicts a
maximum displacement equal to the ﬁrst plastic hinge in one of
the columns (dy) and the ﬁrst plastic hinge the ﬁrst level column
(df) using Non-linear static analysis.Analysis procedure
Non-linear static pushover analysis
The relationship between the base shear and the top storey
displacement, which is generally known as the pushover curve or
the capacity curve, can be obtained by gradually increasing the
lateral load, which is appropriately distributed over the storeys.
There can be many alternatives for the distribution pattern of the
lateral loads, and different patterns of lateral loads may result in
pushover curves with different characteristics and different se-
quences of plastic hinge formation. Non-linear static pushover
analysis was undertaken to evaluate the global yield limit state
and the structural capacity by progressively increasing the lateral
storey forces proportional to the fundamental and equivalent
modes. The post-yield stiffness of the beams and columns was
assumed to be 3% of the initial stiffness. The limit state of a
structure is deﬁned by both the system-level criterion (maximum
inter-storey drift ratio) and the member-level criteria (limit states
for beams or columns). In the FEMA-450 [43], the maximum inter-
storey drift ratio of 2.5% is generally speciﬁed as the Collapse
Prevention (CP) limit state for the framed structures. The pushover
curve in Fig. 4 depicts the force and the corresponding displace-
ment in the LSF building when pushed to failure during the non-
linear static procedure. Assigning such joints to beams and col-
umns and performing non-linear static analysis, the maximum
Table 4
The used seismic ground motion records far ﬁeld.
Earthquake Record ID Magnitude (Ms) PGA (g) Site classiﬁcation
ChieChi (1999) P1423 7.6 0.47 B
Kobe (1995) P1041 6.9 0.26 D
Imperial Valley (1979) P0165 6.5 0.17 B
San Fernando (1971) P0056 6.6 0.29 B
Table 5
The results of non-linear time-history analysis (ChieChi (1999) e soil B).
Parameter Value
Design base shear (kgf) in the x-direction 21,741
Design base shear (kgf) in the y-direction 20,145
Design base moment (kgfem) in the x-direction 31901.35
Design base moment (kgfem) in the y-direction 24846.30
Roof-storey displacement (cm) in x-direction 2.76
Roof-storey displacement (cm) in y-direction 0.96
Table 6
The results of non-linear time-history analysis (Kobe (1995) e soil D).
Parameter Value
Design base shear (kgf) in the x-direction 22,451
Design base shear (kgf) in the y-direction 20,981
Design base moment (kgfem) in the x-direction 32374.91
Design base moment (kgfem) in the y-direction 22372.97
Roof-storey displacement (cm) in x-direction 2.36
Roof-storey displacement (cm) in y-direction 1.11
Table 7
The results of non-linear time-history analysis (Imperial Valley (1979) e soil B).
Parameter Value
Design base shear (kgf) in the x-direction 21,459
Design base shear (kgf) in the y-direction 20,189
Design base moment (kgfem) in the x-direction 37237.16
Design base moment (kgfem) in the y-direction 27924.86
Roof-storey displacement (cm) in x-direction 2.87
Roof-storey displacement (cm) in y-direction 1.38
Table 8
The results of non-linear time-history analysis (San Fernando (1971) e soil B).
Parameter Value
Design base shear (kgf) in the x-direction 22,954
Design base shear (kgf) in the y-direction 20,354
Design base moment (kgfem) in the x-direction 33588.33
Design base moment (kgfem) in the y-direction 25569.28
Roof-storey displacement (cm) in x-direction 2.76
Roof-storey displacement (cm) in y-direction 1.35
Table 9
The results of non-linear time-history analysis (Loma Prieta (1989) - soil A).
Parameter Value
Design base shear (kgf) in the x-direction 22,469
Design base shear (kgf) in the y-direction 19,852
Design base moment (kgfem) in the x-direction 20606.76
Design base moment (kgfem) in the y-direction 16548.62
Roof-storey displacement (cm) in x-direction 1.78
Roof-storey displacement (cm) in y-direction 0.77
Table 10
The results of non-linear time-history analysis (Northridge (1994) - soil B).
Parameter Value
Design base shear (kgf) in the x-direction 924.26
Design base shear (kgf) in the y-direction 302.99
Design base moment (kgfem) in the x-direction 29378.04
Design base moment (kgfem) in the y-direction 23469.5
Roof-storey displacement (cm) in x-direction 2.54
Roof-storey displacement (cm) in y-direction 1.02
Table 11
The results of non-linear time-history analysis (Tabas (1978) - soil C).
The results of non-linear time-history analysis seismic groundmotion records in the
far ﬁeld
Parameter Value
H. Mirzaaghabeik, H.R. Vosoughifar / Paciﬁc Science Review A: Natural Science and Engineering 17 (2015) 69e78 73displacement appears to be equal to the ﬁrst plastic joint in one of
the columns (dr), and the value for the maximum displacement
equal to the ﬁrst plastic joint in the ﬁrst level column (df) (which
means the structure failure for samples) appears to be as given in
Table 2.Design base shear (kgf) in the x-direction 929.36
Design base shear (kgf) in the y-direction 315.36
Design base moment (kgfem) in the x-direction 22800.06
Design base moment (kgfem) in the y-direction 21871.85
Roof-storey displacement (cm) in x-direction 2.42
Roof-storey displacement (cm) in y-direction 0.74Non-linear time-history analysis
Seven sets of recorded earthquake ground motions were
selected from the PEER strongmotion database [44] for the purpose
of dynamic analysis. Time-history analyses were conducted using
the FE software to evaluate dynamic response of presented struc-
tural system. Tables 3 and 4 present the parameters of the selected
earthquake groundmotion records. The obtained time histories are
the maximum base shear and the moment and lateral displace-
ments in the x and y directions. For performing non-linear time-
history analysis, the building was assumed to be located in soil
types A, B, C, and D according to the UBC-97 soil category. The
evidence provided in Tables 5e11 were obtained from dynamic
analyses of the four-storey LSF building. As an example of the
analysis, Figs. 5e10 illustrate the results of non-linear time-history
analysis of the groundmotion records. Themaximum displacement
(dr) in the roof level was obtained as given in Table 12.Corrected Papadopoulos
Despite being simple, the relationship proposed by Papado-
poulos et al. [41] is a numerical method. Thus, utilising this rela-
tionship would pose a challenge to engineers and researchers. To
address this challenge by changing this relationship into a simple
numerical one, non-linear analysis results (static and dynamic),
which were obtained by the authors, were used as the performance
base of this research. For this purpose, Equation (9) is changed into
an experimental-numerical relation. However, Papadopoulos et al.
[41] did not consider the seismic geotechnical effects in their
Fig. 5. Non-linear time history of the Kobe (1995) earthquake.
Fig. 6. Non-linear time history of the Imperial Valley (1979) earthquake.
Fig. 7. Non-linear Time history of the San Fernando (1971) earthquake.
The results of non-linear time-history analysis seismic ground motion records in the near ﬁeld
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Fig. 8. Non-linear time history of the Loma Prieta (1989) earthquake.
Fig. 9. Non-linear time history of the Northridge (1994) earthquake.
Fig. 10. Non-linear time history of the Tabas (1978) earthquake.
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Table 12
The values of the (dr) parameter for different earthquakes.
Earthquake Maximum displacement of the structure via non-linear dynamic analysis (dr-cm)





Imperial Valley (1979) 2.983
San Fernando (1971) 2.870
Table 13
The values of the correction coefﬁcient describing the seismic geotech-
nical effects.






The values of (GDP) and (GDPr) in the proposed near-ﬁeld earthquakes considering
soil type.
(GDPr) (GDP) Earthquake
0.84 0.84 Loma Prieta (1989)-soil A
0.67 0.56 Northridge (1994)-soil B
0.99 0.66 Tabas (1978)-soil C
Table 15
The values of (GDP) and (GDPr) in the proposed far-ﬁeld earthquakes considering
soil type.
(GDPr) (GDP) Earthquake
0.57 0.47 ChieChi (1999)-soil B
1.11 0.56 Kobe (1995)-soil D
0.52 0.43 Imperial Valley (1979)-soil B
0.57 0.47 San Fernando (1971)-soil B
H. Mirzaaghabeik, H.R. Vosoughifar / Paciﬁc Science Review A: Natural Science and Engineering 17 (2015) 69e7876research. Given the broad range of studies conducted by the au-
thors of this paper, Equation (9) is corrected as Equation (10).
GDP ¼ r$dr  dy
df  dy
(10)
In Equation (10), (r) is the correction coefﬁcient describing the
seismic geotechnical effects. With exact calculations upon classiﬁ-
cation of a given soil in the UBC-97 code, the (r) coefﬁcient is given
as in Table 9. After calculating the index from the aforesaid method,
if the calculated (GDP) value is lower than 0.2, then the related
structure may need to be repaired or strengthened. The (GDPs) that
have a value of greater than 0.2 and less than 0.4 indicate that the
structure requires improvement. If the calculated value is greater
than 0.4 and less than 0.8, then improvement of the structure is
obligatory, while economic considerations should also be noted,
and a GDP of greater than 0.8 corresponds to destruction of the
structure. Considering the presented values of (dy), (dr), (df) and
(r), the values of (GDP) and (GDPr) are as given in Tables 14 and 15.
Artiﬁcial neural network (ANN)
Feed-forward multilayer neural network
The most common ANN includes the feed-forward multilayer
networks. These feed-forward multilayer networks are a set of one
or several hidden layers located between the input and output
layers, in which the output of a layer acts as an input for the next
layer [45]. The layers are related (synaptic joints) serially (fully or
partly adjoined) with a feed-forward method, and there is no joint
between units in an equal layer. In this study, a network is used
with two layers consisting of the Tansig and Purelin functions in the
ﬁrst and second layers, respectively. The effective parameters in the
corrected Papadopoulos’ equation ((dy), (dr), (df) and (r)) have
been used to train the networks. The data are the results of fourtests with four different proposed parameters. These data should be
normalised because multilayer networks often use a log-sigmoid
transfer function whose range is between [0, 1], and then they
should be classiﬁed into input and output data.Neural network learning
In this study, the data concerning the (dy), (dr), (df) and (r)
parameters are deﬁned as the inputs, and the (GDPr) values is
deﬁned as the target, creating a non-linear relationship between
the inputs and the target data. In this process, the number of
neurons in the input layer is changed, and one neuron in the output
layer is held constant. Fig. 11 shows the conﬁguration of the multi-
layer perceptron neural network.
To attain the ideal response regarding the Mean Squared Error





ðyi  yÞ2 (11)
where (y) and (yi) are the mean value of the data and the results of
the ANN, respectively, and (N) is the number of data points. Given
the potential of the feed-forward networks for modelling the non-
linear processes, the multilayer perception network, which is based
on back-propagation learning algorithm, was used.ANN results
After the normalisation procedure, the ANNs were trained, and
then the best network was selected.
Finally, the non-linear relationship was obtained from the








where (c) is the 4  1 perpendicular vector corresponding to the
normalised input data, as mentioned earlier. Moreover, w1, w2, b1
and b2 are the weights and biases values that involve constant
matrices obtained during the training process, and (S) is the cor-
rected Papadopoulos’ HSE index value in the normalised network.
Fig. 12. A.The distribution graph of the observed and the estimated HSE index values
of the (ANN) test. B: Artiﬁcial neural network simulator.
Fig. 11. The conﬁguration of the multi-layer perceptron
H. Mirzaaghabeik, H.R. Vosoughifar / Paciﬁc Science Review A: Natural Science and Engineering 17 (2015) 69e78 77All the values of (GDPr) can be estimated using this relationship,
even at all mid-points of input data.
Based on the regression values indicated in Fig. 12, the ANN
results are more accurate than the corrected Papadopoulos’ results.Conclusions
In this study, the corrected Papadopoulos’ HSE index for LSF
systems under seismic loading was developed and used efﬁciently
in conjunction with the ﬁnite element method, which considers
material and geometric nonlinearities. Regarding the calculation of
the structural HSE index, the method proposed by Papadopoulos
et al. [41] is a relatively functional method compared to other
methods, despite its being based on the numerical method. Papa-
dopoulos’ method, similar to many other methods, is not complete
because it does not include the seismic geotechnical effects. The
method proposed in this paper is changed into an experimental-
numerical approach with acceptable accuracy by correction andcompletion of the prior method. Additionally, a two-layer percep-
tron ANN was trained using the results of the FE model, and a non-
linear relationship was obtained to predict the seismic HSE index.
The results of non-linear time-history analyses of the LSF building
using a set of seven earthquakes records corresponding to different
soil conditions (soil types A, B, C, and D) were compared to those
obtained from the ANN. The ﬁndings indicated that the corrected
Papadopoulos’ HSE index has great potential for estimating the
average HSE index values in non-linear time-history analysis of LSF
buildings. By performing a statistical study, we determined that the
maximum difference between Papadopoulos’ method and the
corrected Papadopoulos’ method (corrected by the authors of this
paper) was 1.5% at soil type C. Moreover, the comparison of the
corrected Papadopoulos’ method results and the ANN results
showed that the maximum difference is 0.041 at soil type C.References
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